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ABSTRACT

Hollow-core flooring systems were damaged in Wellington buildings during the 2016 Kaikoura earthquake
(7.8 Mw) and have been shown to be susceptible to undesirable failure mechanisms (loss of seating, negative
moment, and positive moment failure modes) at low drift demands. These undesirable damage mechanisms
have also been observed in sub-assembly and super-assembly laboratory testing of hollow-core flooring
systems and the test data obtained has enhanced the state-of-the-art knowledge of the probable seismic
behaviour of hollow-core floor units. In this study, using currently available sub-assembly test data, fragility
functions are defined for hollow-core flooring systems. Furthermore, the proposed fragility functions are
combined with fragility information derived from nonlinear dynamic analyses for two eight-storey bare-frame
reinforced concrete (RC) buildings designed based on New Zealand standards. This study shows that, in
comparison with RC buildings with flooring systems that are not susceptible to gravity load failures, RC
buildings with vulnerable hollow-core floors have a significantly higher likelihood of exceeding the collapse

prevention limit state, as defined in this study.
https://doi.org/10.5459/bnzsee.1634

INTRODUCTION

The 2016 Kaikoura earthquake (Mw 7.8) underlined
deficiencies in the seismic performance of precast flooring
systems in reinforced concrete (RC) buildings in New Zealand
[1]. In particular, hollow-core flooring systems, which are
vulnerable to three possible failure modes - positive moment
failure (PMF), loss of seating (LoS) and negative moment
failure (NMF), performed poorly (Figure 1). In the Wellington
region, the Kaikoura event caused moderate to high levels of
ground motion intensity, particularly at 1-2 second vibration
periods, which resulted in many multi-storey office buildings
being subjected to damaging ground motions [2]. The observed
damage to precast floors has driven a need for research into the
seismic fragility of building typologies containing precast
concrete flooring systems.

In the nonlinear dynamic analysis of a concrete structure, it is
typically assumed that the flooring system provides a rigid
diaphragm for transfer of in-plane loading and displacement
restraint between the lateral load resisting elements; hence, only
the primary lateral load resisting system, such as RC moment
frames, are typically analysed. However, recent events have
shown that inelastic deformations such as beam elongation may
need to be considered, especially in the case of ductile concrete
frames, which are expected to undergo large inelastic cyclic
deformations. Similarly, for these types of buildings, cyclic
deformation may cause damage to precast flooring systems to
the point where loss of a reliable gravity load path is reached.
Seismic assessment guidelines in New Zealand [3] provide
procedures to estimate the building drift demand when a
reliable load path for a precast flooring system is compromised.

FEMA P695 [4] proposes a simple method for consideration of
non-simulated collapse modes such as collapse of precast
flooring units. These non-simulated failure modes are
considered simply by carrying out nonlinear response history
analyses (NLRHA) and stopping the analysis at the point where

the median collapse intensity of the non-simulated component
is exceeded. The median collapse intensity of the component
should be established based on test data and represented by an
appropriate parameter, e.g., the interstorey drift demand of the
superstructure corresponding to probable drift capacity of the
component. Although the simplicity is beneficial, the FEMA
approach does not take variability in component performance
into account and failure of one of the components may not
necessarily trigger overall collapse of the system. The latter
issue is of particular concern if there are multiple components
to be considered such as is the case with precast flooring
elements. Due to these reasons, the prediction of collapse based
on the failure of a single component can be overly conservative

[4].

This paper aims to directly compare the fragility of reinforced
concrete buildings with and without precast floors. This work
considers hollow-core precast flooring units and two eight-
storey case study RC frame buildings, which are designed for
the Christchurch and Wellington regions. The main objective of
this research is to identify the influence of precast floors on the
seismic fragility of RC buildings at or near a state of collapse.
However, recognising the inherent uncertainty in collapse
prediction, the focus is placed on the relative fragility between
structures with and without precast floors, as opposed to
quantification of the exact collapse fragility.

METHODOLOGY

Case Study Building Design

The case study buildings consist of two eight-storey reinforced
concrete frames designed to NZS3101 [5] using the force-based
approach outlined in NZS1170.5 [6]. Two ductile frames are
designed for NZS1170.5 [6] Z-factors of Z=0.30 and Z=0.39,
that could be considered representative of buildings in
Christchurch and Wellington, respectively.
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Figure 1: The three possible failure modes of hollow-core flooring systems.

Older versions of the design standard had a Z factor of Z=0.22
for Christchurch and thus the design solution developed could
be slightly conservative, as may occur in practice. The external
bay widths (and corresponding hollow-core span) are 8 m for
both buildings with an internal bay width of six metres. This
external bay span is made to align with the fact that the typical
span for 200 mm hollow-core units is 8 m, which has led to a
dominance of eight metre spans for this flooring system in New
Zealand urban areas. The seating details for the hollow-core
units considered in this study are discussed in Hollow-Core
Floor Unit Fragility Functions.

As shown in Figure 2, the building has a square floor plan with
lateral loads resisted by perimeter moment-resisting frames in
each direction. Columns are set back from the corners of the
floor plate such that no bi-directional interaction is considered
in the design and assessment of the end columns. As the frame
analysis is two-dimensional, a single external frame in Figure
2 is considered. For both case study buildings, a frame has been
designed to represent one of the East-West perimeter frames,
which is required to accommodate both seismic and gravity
loads. The vertical gravity load resisting frame system (i.e.,
internal frames) has been assumed to have sufficient strength
and deformation capacity such that failure does not occur prior
to the failure of the lateral-load resisting system.

Nonlinear Time History Analysis Modelling

General

The RC case study frames have been modelled numerically as
two dimensional frames using the lumped plasticity modelling
software Ruaumoko3D [9]. The frames are modelled with fully
fixed bases, rigid diaphragms in-plane at each floor level, one
component Giberson beam members and reinforced concrete
(Type 1) beam-column members. Refer to Carr [10] for further

details on these member types. The following section outlines
the other salient features and assumptions used in the modelling
of the frames.

Material Properties

For the purpose of assessment of the case study frames, the
material properties used should reflect the expected strengths,
not the lower bound characteristic values used in design. For
steel and concrete, the yield strength and compressive strength
respectively are increased as per the simple expressions in
Equations (1) and (2) from Priestley et al. [11]. The stress strain
relationships used in the moment curvature analysis of the
sections is taken to be the default settings within Cumbia [12].

fye = 1-1fy 1)
fee = 1.3f¢ 2

where fy is the yield strength of reinforcing steel and fc” is the
concrete compressive strength. The resulting material
properties assumed for design of the case-study buildings are
outlined in Table 1

Table 1: Design material properties.

Symbol fo’ Ec fy,beam fy,col fy,trans

Value [MPa] 30 25000 300 500 500

Gravity Loads

Gravity loads are applied to the structure as point loads at the
beam-column joints at each floor level, with no uniformly
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Figure 2: Frame elevation (left) and building plan (right) views of the eight-storey case study RC frame building.

distributed loading applied to the beams. The effects of not
including distributed gravity loads on the beams are considered
to be negligible on the inelastic member rotations obtained from
NLRHA for beams with reversing plastic hinges, as shown by
Pinto [13]. The magnitude of the gravity loads is the same as
that used in the design of the frames for ultimate limit state
seismic actions as defined by NZS1170.0 [14], being the self-
weight of the structure plus 30% of the live load.

Beam-Column Joints

Following the beam-column joint modelling approach
recommended in Elwood et al. [15] and ASCE 41-17 [16] for
beam-column joints with ) Mc/> M >1.2, to allow for flexibility
of beam-column joints, the beam elements do not have any rigid
offsets, and instead run continuous between nodes. In the
absence of transverse loads along the beams, the yield moments
at the beam ends, now located at the centre of the beam-column
joint, are adjusted such that the desired yield moment is
achieved at the column face with a shear force associated with
yielding at either end of the beam. Rigid offsets to the columns
are maintained, being equal to half of the beam depth at the end
of each column. This is required in order to allow for modelling
of the axial load-moment interaction at the potential plastic
hinges of the columns.

Damping

The damping model used in the analysis is a variation of the
traditional Rayleigh damping model, whereby the secant
damping matrix is formed using the tangent stiffness matrix of
the numerical model (ICTYPE=6 in Ruaumoko3D [10]). This
choice of damping model is given as a recommendation in the
manual for Ruaumoko3D [10] for reducing the effects of
increased damping forces with period elongation. A damping
ratio of 5% is specified at the first two modes of vibration.

Moment-Curvature Response

The plastic hinges of the frames have been modelled using a
modified Takeda hysteresis rule with ductility-based, between
cycle strength degradation [17]. As per recommendations from
Dwairi et al.[18], beams are modelled with a Takeda ‘Fat’
relationship, @ = 0 and 8 = 0.6, while columns are modelled
with Takeda ‘Thin’ relationship, « = 0.5 and § = 0.0. A
reloading stiffness power factor of 1.0 is assumed, and the

Emori unloading approach. For further details on the hysteresis
model refer to Carr [10].

Figure 3 illustrates the form of the backbone curve to the
hysteretic response that was implemented in the numerical
model. The key parameters that must be determined to define
this curve are the sections initial stiffness, K;, yield moment,
M,,, post-yield hardening ratio, r (i.e. the ratio of the post-yield
stiffness to the initial stiffness), the pre-capping plastic
curvature capacity, ¢cqppi, POSt-capping plastic curvature
capacity, ¢p., and the residual moment capacity, M,. The
plastic hinge length (,), sectional initial stiffness, yield
moment, and post-yield hardening ratio have been defined by
the bilinear approximation to the moment curvature relationship
obtained from section analysis in Cumbia [12] with gravity only
axial loads. In the cases where the post-yield hardening ratio
obtained from Cumbia was zero or negative, it was increased
and set to a minimum value of 0.001.

| d)cup.u! ‘ d’p( ‘

rx K;

¢
Figure 3: Illustration of parameters of strength degrading
hysteretic backbone curve implemented in Ruaumoko3D [9].

The plastic curvature capacity to the peak capping point,
Pcappr, Was defined using a simplified empirical equation,
proposed by Haselton and Deierlein [19]:

Deappt = i0.13(1 +0.55a4)(0.13)7(0.02 +

3
40ps)0.65 (0_57)0.01fc’ ©)



The form of the equation is similar to that given by Fardis [20]
for predicting the ultimate chord rotation capacity of beam-
columns. However, this equation is used to predict the plastic
chord rotation capacity of the member between yielding and
achieving peak strength, not the ultimate rotation capacity. This
calculated rotation capacity is a function of the axial load ratio,
v, transverse reinforcement ratio, pg, and the lower bound
characteristic concrete compressive strength f;/, with ag; = 1
where bond slip can occur, and 0 otherwise (and in this study it
was assumed that bond slip would not occur).

The simplified expression for the post-capping plastic curvature
capacity, ¢,., is obtained from a similar equation proposed by
Haselton and Deierlein [19], given in Equation (4), as a
function of the same parameters, but limited to a maximum
rotation of 0.1 radians.

1 0.10
bpc = l—0.76(0.031)”(0.02 +40p,)1t02 < T 4
D 14

Finally, the residual strength of the member is set to 1% of the
yield strength. This factor, while uncertain, is not considered by
previous researchers [21] to have significant affect the outcome
of the analyses.

P-4 Effects

Second order P-A effects are taken into account using ‘Large
Displacement’ analysis in Ruaumoko3D. To account for the
contribution to P-A effects from gravity loads within the
seismic tributary area, that do not vertically load the frame, a P-
A gravity column is included in the model, modelled as a truss
element between floors, with lateral displacements constrained
by the floors. This is done to introduce the total vertical gravity
loads but provide no additional lateral resistance to the building.

Ground Motion Selection

Ground motions to be used in NLRHA’s were scaled using
probabilistic seismic hazard analysis (PSHA) together with the
generalised conditional intensity measure (GCIM) approach
[22]. PSHA was performed for Wellington for Vsso = 450 ms™!
and Christchurch for Vsso = 250 ms™! on OpenSHA using New
Zealand-specific rupture forecast models and attenuation
relationships for the selected intensity measure (IM) of spectral
acceleration at two seconds [23]. The ground motion selection
does not account for basin edge effects and as such, the case-
study buildings are assumed to be located where basin effects
are minimal. Ground motion records across nine hazard levels,
each containing 20 orthogonal records, were adopted in this
study. The resulting seismic hazard curves for the Christchurch
and Wellington sites are shown in Figure 4. Refer to Yeow et
al. [23] for further details on the ground motion selection
approach. The nine intensity levels for both locations refer to
annual exceedance rates from 80% in 50 years up to 0.2% in 50
years. Note that this research was completed prior to the release
of the 2022 National Seismic Hazard Model. The conditioning
period of two seconds was chosen to align with the first mode
periods of the Christchurch and Wellington models of 2.22 s
and 2.02 s respectively.

Definition of Individual Building and Precast Floor
Fragility Functions

Previous studies on collapse fragility [24-26] have typically
only considered the performance of the seismic force resisting
system. This study aims to also consider the uncertainty in the
performance of the hollow-core precast floors when assessing
the fragility of the building as a whole. Hence, fragility
functions are required for both: (a) the case study buildings
without precast flooring (i.e. the bare-frames) and (b) the
hollow-core flooring units.
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Figure 4: Probabilistic seismic hazard curves for spectral
acceleration at two seconds for (a) Christchurch and
(b) Wellington from Yeow et al. [23].

Bare-Frame Fragility Functions

The building fragility functions are defined as the probability of
exceeding the collapse-prevention limit (CPL) of the building
which is assumed to occur at an interstorey drift of 5%. The
CPL is justified in its use as a limit state due to the uncertainty
and loss of confidence in the performance and modelling of the
plastic hinge regions of the beams past this drift demand [27].
There is uncertainty in the value of drift to be used for this limit
state and one could expect that the exact value will depend on
the aspect ratio of beams, the material properties and the
reinforcement detailing adopted in the plastic hinge regions
(see, for example, Priestley et al. [11]). This limit state is
analogous to a limit state with significant structural damage,
including bar fracture at multiple hinges thus limiting repair
options, although some margin against collapse may still be
anticipated. The approach adopted here reflects the higher
confidence in the validity of modelling results up to CPL
compared to modelling all the way to collapse of the structure.
It is noted that the 5% drift at CPL is significantly higher than
the drifts expected of the case study frame buildings for ground
motion intensities at the ultimate limit state (500-year return
period).

Fragility functions for the CPL of the RC frame buildings are
determined using the multiple-stripe analysis approach [28]
with ground motions conditioned to a period of two seconds.
The conditioning period is similar to the fundamental period of
the buildings which allows for an easily quantified increase in
spectral demand with increasing intensity levels, minimising
the effect of record-to-record variability. Lognormal fragility
functions are fitted to the multiple-stripe data using maximum
likelihood estimation based on the recommendations of Baker
[29]. The building fragility functions can be defined using
Equation 5:
In(IM /6
PICPLyanelii) = o (2052 ©)
where P[CPLgrame|IM = im] is the probability of exceeding
the CPL given an intensity measure IM, @ is the standard
normal cumulative distribution function, 8 is the median IM of
the fragility function and g is the standard deviation of In(IM).

Hollow-Core Floor Unit Fragility Functions

To assess the overall fragility of buildings with hollow-core
floors, fragility functions for the hollow-core flooring units in
terms of interstorey drift are required. Hollow-core floor units
are susceptible to three different failure modes, loss of seating
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(LoS), positive moment failure (PMF), and negative moment
failure (NMF), each affecting the gravity load capacity. Three
different fragility functions are determined, one for each failure
mode. The floor fragility functions are defined as the
probability of exceeding the Collapse Prevention Limit (CPL)
given an Interstorey Drift Ratio (IDR).

(6)

P[CPLs10or|IDR] = @ (M>

B

Similar to selection of the CPL for the bare-frame assessment
described above, the CPL for hollow-core floors is intended to
represent a state of damage which significantly impacts the
reliability of structural engineering models to predict the
performance and damage which is likely to limit repair options.
For this study the CPL for a hollow-core floor unit is taken as
the drift at which “loss of reliable load path” is reached, a limit
determined based on laboratory tests. A series of ‘super-
assembly’ and ‘sub-assembly’ tests have been carried out by
various researchers [30-32] for hollow-core floor support
connections found in New Zealand buildings. Corney etal. [33]
provides a detailed description of these test programmes and
defines three possible failure modes for hollow-core floor units
observed in the tests: LoS, PMF, and NMF. Each of these
failure modes impacts the gravity load carrying capacity and
has the potential to result in collapse of the unit. However, the
exact drift at collapse of the floor unit is nearly impossible to
predict due to variability in boundary conditions, impact of
vertical accelerations, variability of tension capacity of
concrete, load sharing between units, etc. The tests do,
however, provide critical data as to when the floor unit may
begin to drop relative to the supporting beam. Corney et al. [33]
assumes that once the floor unit drops more than 2mm relative
to the supporting beam, there is a “loss of reliable load path” for
transfer of gravity loads from the floor unit to the supporting
beam. At this point it is assumed the CPL has been exceeded
for the hollow-core unit.

Table 2 shows the drift capacities of hollow-core unit tests
reported by Corney et al. [33] for the three considered failure
modes.

Table 2: Interstorey drift at CPL from Corney et al. [33] for
three hollow-core unit failure modes: LoS, PMF and NMF.

Interstorey drift at exceedance
of limit state [%6]

Test number LoS PMF NMF
1 1.71 1.0 1.0
2 1.71 1.76 1.1
3 25 3.0 3.8
4 2.0 - 1.88
5 2.0 - -

The NZ Guidelines [3] provide provisions for seismic
assessment of hollow-core floors in Appendix C5E. The
seismic assessment procedure entails evaluating the probable
drift capacities of hollow-core floors associated with the three
failure modes. The dominating failure mode corresponds to that
with the lowest computed probable drift capacity, which is
subsequently compared with an estimate of the drift demand to
assess if the floor has exceeded the CPL. (Note the terminology
of CPL is not used in the NZ Guidelines [3] but used here for
analogy with the CPL for the building frame described
previously.)

According to Appendix C5E of the NZ Guidelines [3], the drift
capacity corresponding to LoS for a hollow-core floor unit is
dependent on beam elongation, rotation of the supporting beam,
and spalling of the hollow-core unit and supporting ledge.
Puranam et al. [34] provided a comparison of the measured drift

capacities from sub-assembly tests with those predicted using
the provisions of NZ Guidelines [3] (see Figure 5). For the five
LoS-critical test specimens, the NZ Guidelines procedure
provides an estimate with a mean ratio of measured to
calculated drift capacity of 1.1 and dispersion, 3, of 0.18. Based
on field evidence, the provided in-situ seating for a precast floor
unit will frequently be less than the specified seating. To
account for uncertainty in seating length, the NZ Guidelines
requires the specified seating to be reduced by a 20 mm
construction tolerance (unless the in-situ seating is directly
measured). Here it is assumed 20 mm represents a confidence
interval of one standard deviation, +1s, in the variation of in-
situ seating; hence, a mean seating length assumed to be equal
to the specified value of 50 mm corresponds to a g equal to
20/50=0.4. Using the SRSS approach, the combined dispersion
for the drift capacity of a LoS-critical hollow-core unit is taken
as 0.45.
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Figure 5: Relationship between measured drift capacities of
test units, exhibiting the three failure modes, to those
predicted using the provisions of NZ Guidelines [3] (Adopted
from Puranam et al. [34]).

The development of PMF in a hollow-core unit is dependent on
cracking strength of the hollow-core unit, bond and
development of prestressing strands, and coefficient of friction
between the hollow-core unit and the support ledge. According
to the NZ Guidelines [3], the drift capacity of a PMF-critical
hollow-core unit corresponds to the drift at which the computed
probable support deformation from beam elongation and
rotation exceeds the diameter of the prestressing strands in the
unit (typically 12.5 mm). Figure 5 presents a comparison of the
measured drift capacities of PMF-critical units to those
predicted using the provisions of NZ Guidelines [3]. For the
three PMF-critical test specimens, the NZ Guidelines procedure
provides an estimate with a mean measured to calculated ratio
of 0.97 and dispersion, f, of 0.52. Note that the NZ Guidelines
assume this failure mode is precluded by seating the unit on a
low-friction bearing strip as is required for buildings in New
Zealand since 2006.

The development of a NMF at the support of a hollow-core unit
is associated with deformation compatibility as the supporting
beam rotates away from the hollow-core unit. Hollow-core
floors constructed with short and strong starter bars and low
gravity loads are more susceptible to NMF at the termination of
the starter bars [34]. Due to the challenge of accurately
calculating the drift at which NMF leads to a vertical
dislocation of the floor unit, a drift capacity of 1% is used by
NZ Guidelines [3] for NMF-critical hollow-core floor units as
a conservative limit based on the limited available test data (see
Table 2). A NMF-critical unit is one in which the negative
moment demand at the end of the starter bars exceeds the



negative moment capacity. For the four NMF-critical test
specimens, the NZ Guidelines procedure provides an estimate
with a mean ratio of 1.95 and dispersion, f3, of 0.6.

To develop the fragility functions for the hollow-core floor
units in the adopted archetype buildings, the drift capacities for
the three failure modes were computed in accordance with the
provisions of Appendix C5E of the NZ Guidelines [3]. For LoS
and PMF modes, the computed drift capacities were taken as
the median values, while the 1% limit for NMF mode was
considered to represent the 25™ percentile value. The selection
of the 25 percentile value was simply based on judgement, as
a more refined assessment of this value was not considered
advisable given the limited data available. Furthermore, the
values noted above, based on the available experimental data,
were adopted to quantify the uncertainty associated with
predicting the probable drift capacity of the hollow-core units.
Further testing of hollow-core floor units would enable
improved estimates of the fragility curves for each of the failure
modes. The estimated fragility curves for all three failure
modes, using the provisions of Appendix C5E of the NZ
Guidelines [3] for the case study buildings with 200mm units,
are shown in Figure 6.
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Figure 6: Hollow-core floor fragility functions and
lognormal fragility curve parameters derived from test data
for the three considered failure modes: LoS, PMF and NMF.

It should be noted that the median interstorey drift at
exceedance of the considered damage state for all three modes
is below the 2.5% drift limit imposed by NzZS1170.5 [6],
highlighting the issues with these types of floors under strong
shaking intensities and justifying the need for understanding the
effect on the overall building fragility.

The fragilities described above do not consider web cracking
due to torsion or incompatible displacements. According to the
NZ Guidelines [3] assessment procedure, such web cracking
will potentially reduce the PMF drift capacity, thereby reducing
the PMF fragility in Figure 5 and considered in this study.
However, the vulnerability of a unit to web cracking is highly
dependent on the exact location of the unit in the building and
the specific boundary conditions. In this study we seek to
identify the change in fragility considering only generic support
conditions for hollow-core units, without the details required to
identify if a unit is vulnerable to web cracking. Hence, web
cracking is ignored in the current study and the resulting
fragilities for PMF should be considered an upper bound for
real buildings.

Combining Floor and Building Fragility Curves

A combined fragility curve for the building and floor system
can be determined using the well-known probability
relationship
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P[A U B] = P[A] + P[B] — P[ANn B] (7)

where P[A] and P[B] are the respective probabilities of event
A and B occurring and P[A N B] is the intersection of
probabilities of the events A and B occurring. P[A] and P[B]
are subsequently used to define the fragility functions for the
bare-frame and flooring systems respectively as defined by
Equation 5 and 6. Events A and B are considered to be
independent which means the failure of the flooring system
does not affect the probability of failure of the bare-frame and
vice-versa. This does not imply that the flooring system has no
effect on the frame capacity in practice. Hollow-core units may
marginally increase the global strength and stiffness which
should be carefully considered in the modelling approach if the
effect is likely to be significant. However, the strength addition
of precast flooring units is neglected in this modelling work and
the focus is on the magnitude of decreased robustness observed
in buildings with unreliable precast flooring systems. Taking
this independence into consideration, Equation 7 can be
rewritten as

P[A U B] = P[A] + P[B] — P[A]P[B] (8)

Substituting notation for the floor and building fragility
functions, Equation 8 can be rewritten as:

P[CPLgrame|IM U CPLf1p0r | IDR]
= P[CPLf‘rameIIM] + P[CPLfloorllDR] (9)
— P[CPLgrqme|IM] P[CPL1o0r [IDR]

Once both the individual floor and building fragility functions
are determined, the combined fragility can be calculated at a
given IM level using Monte Carlo simulation: For each IM
level, i, the value of the building only fragility function,
P[CPLgrame|IM] from Equation 5 is determined. Then, at the
same considered IM level, a value of peak interstorey drift is
randomly selected from the NLRHA results. Using this drift,
the value of the floor fragility function, P[CPLyi0r [IDR], is
determined from Equation 6. Using Equation 9, the combined
fragility is calculated. The process is repeated at the same IM
level using Monte Carlo simulation for a suitable number of
occurrences, ng;,,, that results in minimal change to the value
of the combined fragility (should the Monte Carlo simulation
be repeated) as given in Equation 10.

P[CPLframe|IM U CPLﬂoor|1DR]i
Nsim

1
P[CPLgrgme|IM (10)
=1

Nsim 4
J

U CPLy1o0r [IDR];

J Nsim

Once the combined fragility has been calculated, the analysis
moves to the next IM level until all levels have been completed.
The combined fragility is now known for each IM level with
the final task being to fit lognormal parameters to the data. This
can be done using maximum likelihood estimation or another
appropriate curve fitting method such as minimising the sum of
squares error (SSE), which is the approach adopted in this

paper.
RESULTS

Nonlinear Response History Analysis Results

Figure 7 shows peak interstorey drift as a function of spectral
acceleration at two seconds from the NLRHAs for the
Christchurch and Wellington case study buildings. Note that
once the building model has reached dynamic instability, the
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Figure 7: Peak inter-storey drift as a function of the spectral acceleration at T = 2.0 s for the (a) CHC and (b) WLG buildings.
The collapse-prevention limit (CPL) is considered at an inter-storey drift of 5%.

interstorey drifts registered by Ruaumoko3D (Carr, 2018)
become very large and are not displayed in the plots. Dynamic
instability generally occurs at drifts above 5%, which is the
same as the assumed drift capacity at the CPL, further justifying
its use as a meaningful limit state for defining fragility
functions.

It is important to note that the seismicity of the Wellington
region is significantly higher than for Christchurch, as is
evident in a comparison of the hazard curves as shown in Figure
4. Therefore, while the Wellington building is designed for
higher forces, there are significantly more records causing the
model to exceed the CPL compared to Christchurch.

When dynamic instability is reached in Ruaumoko3D, the drift
values reported can be very large. Therefore, the distribution of
drifts for high intensity levels with records causing collapse of
the structure do not follow an expected normal or lognormal
distribution but are heavily skewed towards high drift values
which don’t make practical sense. To deal with this in the
Monte Carlo simulation for determining the combined building
fragility, records which reach dynamic instability are assumed
to have caused a maximum drift of 10%. Looking at Figure 6,
it is apparent that the value of the fragility functions for all three
failure modes at this large drift is very close to one; hence, both
the building and floor fragilities can be considered to have
exceeded the proposed CPL.

The data in Figure 7 is used to determine CPL fragility
functions for the Christchurch and Wellington buildings
without precast floors using maximum likelihood estimation.
To determine fragility using this method the following
information is required per Baker [29]:

1. The number of records causing a certain limit state to be
exceeded (i.e. the CPL of 5% considered in this paper).

2. The number of ground motions at each intensity level.
The values of the IM at each level.

The resulting bare-frame fragility functions for Christchurch
and Wellington buildings are compared in Figure 8.

Combined Hollow-Core Floor Units and Building Fragility
Functions

The fragility combination approach detailed in Combining
Floor and Building Fragility Curves is used to determine the
combined fragility functions of the buildings with precast
flooring systems. The three different floor failure modes and
corresponding fragility functions in Figure 6 are combined with

the fragility functions for the bare-frames (Figure 7) resulting
in the combined fragilities shown in Figure 9. As anticipated,
the probability of exceeding the CPL is shown to increase
significantly for buildings with precast flooring systems. For
the Christchurch and Wellington buildings without precast
floors modelled, the median intensity at the CPL is 0.60 g and
0.69 g, respectively, with corresponding dispersions of 0.21 and
0.37. It is an expected result that the Wellington model has a
slightly higher capacity which is due to higher design actions
for the Wellington region compared to Christchurch.
Considering the LoS failure mode and assuming a specified
seating of 50 mm, the median combined capacity is found to be
0.25 g and 0.22 g for the Christchurch and Wellington
buildings, respectively, and significantly less than the bare-
frames. Note that the Christchurch building is now shown to
have a higher capacity compared to the Wellington case when
the precast floors are considered. This makes sense due to the
higher drifts experienced by the Wellington building when
directly comparing to Christchurch based on annual exceedance
rates (Figure 7) and the fact that P[CPLy4,] is dependent on
the interstorey drift demand. Similar trends are observed for the
PMF and NMF failure modes (Figure 8c-f). For PMF, the
medians of the IM for Christchurch and Wellington are 0.30 g
and 0.26 g with dispersions of 0.52 and 0.56, respectively. For
NMF the medians of the IM for Christchurch and Wellington
are 0.23 g and 0.21 g with dispersions of 0.64 and 0.65,
respectively.

1 —=
0.8
=
0 0.6
§
F
& 0.4+
o A CHC Bare Frame
02l ——MLE Fit. 9= 0.60 3= 0.21 |
¢ WLG Bare Frame
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Figure 8: Comparison of the Christchurch and Wellington
bare-frame fragility functions.
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Figure 9: Comparison of the RC building fragility with the combined fragility considering global storey floor fragility for
(a) CHC = LoS (b) WLG — LoS (c) CHC — PMF, (d) WLG — PMF, (e) CHC — NMF, and (f) WLG — NMF.

Analysis of the floor-only fragility functions (Figure 6)
suggests that the most damaging failure mode, considering
median drift at the floor CPL, is NMF followed by LoS then
PMF. This result carries into the combined fragilities as
expected and buildings with hollow-core floors susceptible to
NMF are shown to be more vulnerable with the combined
fragility functions shifting further left. LoS capacity is more
reliably predicted and from results shown in Figure 8, buildings
susceptible to this failure mode are shown to have slightly
favourable fragilities compared to NMF. Recall that the NMF
fragilities shown here are conditioned upon having units with a

negative moment demand at the end of the starter bars
exceeding the negative moment capacity. Puranam et al. [34]
has demonstrated, using a database of Wellington buildings
with hollow-core floors, that units in the majority of buildings
will not be NMF-critical and thus would be governed by LoS or

PMF.

Varying the parameters of the floor fragility function has a large
impact on the combined fragility, particularly for values in the
range of lognormal fragility parameters determined from
testing. If the median of the floor fragility function is large



258

compared to the median of the bare-frame fragility, then there
is almost no change in the combined fragility. Conceptually this
makes sense, as an increase in the median collapse intensity of
a non-simulated failure mode will reduce the likelihood of this
mode developing. The fragility in this case, with robust floor-
beam connections that are assumed to not collapse, will tend
towards the bare-frame fragility functions determined without
consideration of the flooring system. Buker et al. [35] showed
that hollow-core floors with “strongback retrofits” were able to
sustain building drifts up to 5% without loss of gravity load
carrying capacity. Therefore, buildings with this type of careful
retrofit would be expected to have similar fragility to the bare-
frame.

Mean Annual Frequency of Exceeding the CPL

A useful metric for comparing the performance of structures is
the mean annual frequency (MAF) of collapse, A.. For this
paper the MAF of exceeding the CPL, A¢p;, is used instead but
represents a similar metric as the MAF of collapse. The MAF
of exceeding the CPL is determined using the convolution of
the hazard curves shown in Figure 4 with the relevant building
fragility for the corresponding location:

Aon, = f P(CPLIIM = im)|dA(im)|

IM (11)

_ f ® <ln(im/9)> \da(im)|
M g

where P(CPL|IM = im) is the fragility function of the building
or combined building and floor fragility functions as previously
defined and dA(im) is the derivative of the hazard curve,
A(im), at intensity im. Both the bare-frame building and
buildings with hollow-core floors can then be independently
considered and compared in terms of instances per year where
the CPL is exceeded (Table 3).

The 5% drift limit for defining the CPL for both case study
buildings, regardless of design location results in a higher MAF
of exceeding the CPL for the bare-frame in Wellington where
the drift demand is higher. Similarly, the MAF of exceeding the
CPL for the buildings with hollow-core floors is higher in
Wellington than Christchurch; however, the increase is not as
significant as for the bare-frame. The closer agreement and the
larger MAF for building with hollow-core floors reflects the
fact that drifts at CPL for floors are considerably smaller than
5% and will be exceeded at lower return periods.

The ratio of Acp;, for the buildings with hollow-core floors to
that of a bare-frame building (i.e., Acprnotiow—core/
AcpLpare-frame), indicates the relative vulnerability of a
building with hollow-core floors compared to buildings with
robust flooring systems. For Wellington, this ratio ranges from
6.70 to 9.08 while for Christchurch this ratio ranges from 79.7

to 166, depending on failure mode. The high ratios for
Christchurch are reflective of the low MAF of collapse for the
bare-frame in lower seismicity, rather than poorer performance
of the floor system.

DISCUSSION

It is important to recall that the fragility functions for the failure
modes considered in this study are based on the assessment
methodology of Appendix C5E of the NZ Guidelines [3]. As
shown in Table 2, there are limited data to validate the derived
fragility functions. However, the intent of the current study is
to demonstrate the increased risk with the presence of hollow-
core floors (e.g. 6 to 9 times increase in MAF for the Wellington
building), based on the state-of-practice assessment
methodology. Additional experimental test data from sub-
assembly and super-assembly laboratory testing of hollow-core
flooring systems are needed to refine these fragility functions.
Future analytical studies could use such refined fragility
functions for improved vulnerability assessment of buildings
with hollow-core floors.

As shown in Figure 6, the floor fragility function dispersions
for PMF and NMF (8 = 0.52 and 0.60, respectively) are
significantly higher than that for LoS (8 = 0.45) when
considering testing data only. This indicates that PMF and NMF
can be less reliably predicted using the NZ Guidelines [3] and
consequently, smaller interstorey drifts still have a significant
probability of causing failure. The lower dispersion for LoS
could be attributed to the fact that this failure type does not
depend on the complexity of crack propagation within the
hollow-core unit, but occurs due to geometric considerations
based on the seating length, spalling, and interstorey drift
demand. These are more easily quantified than the factors
influencing the point at which PMF and NMF occur (e.g.
tension capacity of concrete, bond to strand, etc). This fact is
evidenced by Figure 5, which compares the numerically
predicted drift of the superstructure at failure with the measured
results from testing. Predictions which match testing values lie
on the solid line which has a slope of 1:1. It can be seen that the
LoS ordinates are mainly centred around this line while PMF
and NMF usually have more variance. Despite the reliability in
predicting the drift capacity of hollow-core floors susceptible to
LoS an increased dispersion of 0.45 is adopted for the LoS
failure mode due to real life observations which indicated that
the specified seating is often not provided in the field, with 20
mm discrepancies commonly noted. This dispersion was not
represented in the tests by Corney et al. [33] as the seating
length is known exactly in the laboratory tests.

One cause of uncertainty is the fact that the hollow-core floor
tests did not consider identical configurations which results in
different predicted drifts being calculated for each
configuration. However, for the purposes of this research it is
acceptable to have different configurations for a given failure
mode as this would represent the real-life scenario where

Table 3: Comparison of the mean annual frequency of collapse for reinforced concrete buildings with and without hollow-core
concrete flooring systems.

Frame Floor failure

MAF of exceeding the CPL, Acp;

ACPL,hollow—core

mode [exceedances/year] [x10-5] /AcpLbare—frame
CHC - 1.92 -
Bare-frame WLG . 446 )
LoS 223 116
CHC PMF 153 79.7
Building with hollow-core NMF 319 166
flooring systems LoS 361 8.09
WLG PMF 299 6.70
NMF 405 9.08



different buildings may have different construction details.
Mathematically, the effect of different flooring configurations
is captured by the dispersion, which has already been accounted
for in this paper by using the measured drifts of multiple
configurations to determine fragility functions. In addition,
capturing the dispersion from different configurations allows
this work to apply more generally to RC buildings with precast
floors rather than a single type of building with a single hollow-
core flooring configuration. This is desirable as the aim of the
paper is to show the large change in fragility of buildings with
unreliable flooring systems rather than exactly quantifying the
fragility. In any case, generalisation of a particular fragility
model for all buildings of a particular typology (i.e. RC
buildings) is commonplace for performance based earthquake
engineering, loss assessments, and vulnerability assessments.

CONCLUSION

This paper has compared the fragilities of RC frame buildings
with and without hollow-core floors. The fragilities were
developed for the “collapse-prevention limit” (CPL) defined
herein as an interstorey drift of 5% on the bare-frame or the
hollow-core floor units experiencing “loss of reliable load path”
due to loss of seating (LoS), positive moment failure (PMF) or
negative moment failure (NMF) as defined by the NZ
Guidelines (2018). Exceeding these limits does not mean the
frame or floors have collapsed, but rather that damage has
occurred which significantly impacts the reliability of structural
engineering models. It may be viewed as a lower bound on the
actual point of collapse.

For floor units vulnerable to all three failure modes, NMF tends
to be the most likely failure mode, followed by LoS and PMF.
In addition, NMF is less reliably predicted with a dispersion of
drift capacity at failure of 0.60 compared to 0.52 for PMF and
0.45 for LoS when considering the floor units by themselves.
For units protected from NMF (e.g., longer starters), LoS is the
most likely failure mode.

For a given shaking intensity, RC frame buildings with hollow-
core flooring systems are more likely to exceed the CPL
compared to the bare-frame equivalent. The median S,(T;) at
the CPL for the eight-storey bare-frame building was 0.60 g and
0.69 g for the Christchurch and Wellington buildings,
respectively. Considering non-simulated failure of the hollow-
core flooring system results in the median fragility for the
Christchurch building reducing to 0.25 g, 0.30 g, and 0.23 g for
LoS, PMF, and NMF, respectively. Likewise, the median CPL
for the Wellington building reduces to 0.22 g, 0.26 g, and 0.21
g for LoS, PMF, and NMF, respectively. For the building in
Wellington, the mean annual frequency of exceeding the CPL
is approximately 6 to 9 times higher for a building with hollow-
core floors compared to a building with a robust or retrofitted
floor system not vulnerable to loss of gravity load support.
These results emphasise the importance of retrofit of buildings
with hollow-core floors to reduce seismic risk in New Zealand
centres.

Further testing of hollow-core floor systems is encouraged to
improve the fragilities proposed in this paper. Building
fragilities such as those described in this paper can be used in
conjunction with building inventories to assess probable city-
wide losses in the case of major earthquakes. Further
development of fragility curves for different building
archetypes and locations would support such community-level
loss studies.
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